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Abstract

Recent earthquakes in Italy (L’Aquila 2009 and Emilia 2012) highlighted the vulnerability of precast cladding panels,
typically associated with a connection system not designed to account for displacement and rotation compatibility
between the panels and the supporting structure. Experimental investigations were carried out in the past to investigate
the in-plane performance of cladding panels and design recommendations have been made accordingly; however, in the
case of out-of-plane seismic loads, the load demand is commonly evaluated in the design practice by means of
formulations for non-structural components.

This paper summarises the results obtained from parametric analyses conducted to estimate the out-of-plane load
demand in column-to-column cladding panels typical of one-storey commercial and industrial buildings. Empirical
equations suitable for both new and existing panels are proposed and compared with the design equations given in
Eurocode 8 and ASCE 7. The paper also considers the effects of the development of plastic hinges at the column base
and of the roof flexibility on the load demand in panel-to-column connections. The roof flexibility may generate the
torsion of the panels, consequently an analytical procedure to account for such effects is proposed. Finally, general
design recommendations are made.

Keywords: Precast concrete structures; Cladding connections; Cladding panels; Out-of-plane loads; Roof flexibility;
Seismic vulnerability.
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1. Introduction

Recent earthquakes in Italy (L’Aquila 2009 and Emilia 2012) highlighted the vulnerability of precast reinforced
concrete (RC) structures which are not designed according to the modern seismic codes as reported in numerous studies
(Toniolo and Colombo 2012; Marzo et al. 2012; Savoia et al. 2012; Liberatore et al. 2013; Magliulo et al. 2014a; Belleri
et al. 2014a; Bournas et al. 2014; Casotto et al. 2015; Minghini et al. 2016; Nastri et al. 2017; Palanci et al. 2017). The
main vulnerabilities, which caused both local and global collapses, are related to the lack of effective horizontal load
transfer mechanism between precast elements and to the lack of displacement and rotation compatibility among
structural elements and between structural and non-structural elements (Belleri et al. 2014b, 2015; Brunesi et al. 2015;
Colombo et al. 2016).

The structural layout of the precast concrete structures considered herein (Bellotti et al. 2009; Negro et al. 2013; Belleri
2017), typical of industrial and commercial buildings, is composed of cantilever columns pin-connected (Psycharis and
Mouzakis 2012; Magliulo et al. 2014b; Zoubek et al. 2015) to prestressed RC beams spanning in one direction, which
support prestressed concrete roof elements spanning in the transverse direction. The columns are embedded in a grouted
socket left in the footing (Osanai et al. 1996) or connected to the foundation by means of mechanical devices or grouted
sleeves (Metelli et al. 2011; Belleri and Riva 2012; Dal Lago et al. 2016). Industrial and commercial precast concrete
buildings are typically characterized by higher inter-storey height and higher roof flexibility compared to RC buildings.
This leads to a generally high lateral flexibility, which makes displacement compatibility between connected elements
an important aspect to be analysed.

The cladding system is typically made up of precast RC panels, two types of panels are considered: panels spanning
laterally, connecting adjacent columns, and panels spanning vertically, connecting the grade beam to the roof beam; in
the European practice, the latter is referred to as “vertical panel” while the former as “horizontal panel”, respectively
(Colombo et al. 2016). Precast cladding panels are mainly reinforced with steel welded-wire-mesh (Riva et al. 2001),
installed on the outside of the building and connected to the main structural elements. The in-plane interaction between
cladding and structural systems is categorized as (Arnold 1989): completely separated cladding, accidentally
participating cladding (Belleri et al. 2016), controlled participating cladding (Ferrara et al. 2011; Scotta et al. 2015)
and fully participating cladding (Biondini et al. 2013; Magliulo et al. 2015). In regions of high seismicity (NIST GCR
95-681), connections enabling relative movements between the elements are commonly adopted, i.e. completely
separated cladding according to Arnold (1989).

In past European construction practices, the cladding system was primarily designed for vertical gravity loads and to
avoid panel overturning due to out-of-plane wind loads or, more recently, seismic loads. Displacement compatibility
associated with the interaction of the supporting structure was neglected. The relative displacements and rotations
between the cladding panels and the supporting structure needed to be accommodated by the connecting system, owing
to the lower stiffness of the connection devices compared to the connected RC precast elements: the cladding panel
failure assessed after the Emilia earthquake was clearly related to the failure of the mechanical connections, such as
anchor channels, C-shape or L-shape steel profiles (Bournas et al. 2014; Belleri et al. 2016; Colombo et al. 2016).

In recent years, experimental work has been carried out to investigate the performance of cladding-to-structure
subassemblies (Colombo et al. 2014; Fischinger et al. 2014; Zoubek et al. 2016a; Pantoli et al. 2016), and design
recommendations have been derived accordingly (Belleri et al. 2016 and Colombo et al. 2016), mainly concerning the
in-plane behaviour of such systems. In the case of out-of-plane loading, the seismic demand on cladding elements and
connections is determined following building code formulae for non-structural elements (clause 4.3.5 in EN 1998-1;
clause 13.3 in ASCE 7). Noteworthy, due to the high flexibility of the considered structural typology, it is relevant to
account for the cladding-to-structure displacement compatibility because the failure of the connecting system could
cause the overturning of the panel. ASCE 7 addresses displacement compatibility in clause 13.3.2.

This paper investigates the out-of-plane performance of column-to-column cladding panels typical of industrial and
commercial precast concrete buildings (Figure 1). Starting from the available formulae on seismic loads in non-
structural components (EN 1998-1, ASCE 7), a new equation is proposed, taking into account the effect of the panels on
the structural system. The equation is validated by means of non-linear time-history analyses on selected reference
structures. In addition, in order to account for out-of-plane displacement compatibility due to roof flexibility, an
analytical procedure is proposed. Design recommendations are made accordingly. The proposed formulation is suitable
for the out-of-plane load evaluation of new cladding panels and for the assessment of existing systems. It is worth
noting that the design of the cladding panel connections needs to account for both out-of-plane and in-plane loads; the
latter are not considered herein as this topic has been already covered in previous research (Belleri et al. 2016).
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Figure 1 - Examples of precast industrial buildings with column-to-column precast cladding panels.
a) undamaged panels; b) damaged panels after Emilia earthquakes.

2. Cladding panels: out-of-plane seismic loads
2.1 Current design practice

In the current design practice, the cladding system is typically included as lumped masses in finite element models
being the cladding panels categorized as non-structural elements. The out-of-plane seismic loads acting on the panel-to-
column connections are evaluated from simplified formulations, typically related to response spectra associated to the
supporting structure. The building codes considered herein are ASCE 7 (ASCE 7-10, or newer) and EN 1998-1 (CEN,
2004), the latter being basically derived from ASCE 7.

In EN 1998-1, the inertia load acting on the panel centroid (F;) takes into account the dynamic amplification associated
to parameters such as the relative vertical position of the panel centroid (%,) compared to the building height (/) and the
ratio between the fundamental period of the panel (7,,) and the fundamental period of the building (7):

Mxhy /H) }W

F - [ Sk et SR | M (1)
1+(1-T7,/T)) q,

where W, is the panel weight, PG4 is the peak ground acceleration as a fraction of g, and g, is a behaviour factor, which
is taken between 1 and 2 for fagade elements. For the structural typology being examined, the fundamental period of a
precast panel is roughly in the range 0.08-0.5s.

In ASCE 7, the inertia load acting on the panel centroid (F) is calculated as:

F =04-S,,

nl -
1+2—"l"—a”W, @)
H| R

where Spg is the spectral acceleration at short period, a, and R, are the component amplification and response
modification factors respectively; a, = 1, R, = 2.5 for exterior non-structural wall elements and a, = 1.25, R, = 1 for the
fasteners of the connecting system. J, is the component importance factor, ranging from 1 to 1.5. It is worth noting that
the amplification factor a, is intended to capture the ratio T,/Ts, although, by imposing a, = 1, this formulation does not
provide variations of inertia loads due to the change of the fundamental period of vibration of the panel.

Other formulations are available in the literature based on the derivation of floor spectra for multi-storey buildings,
either accounting for or disregarding the inelastic behaviour of the lateral force resisting system (Medina et al., 2006;
Politopoulos, 2010; Sullivan et al., 2013; Petrone et al. 2015). However, these formulations do not take into
considerations the case of non-structural elements at heights below the first storey, such as in the case of column-to-
column cladding in single-storey industrial buildings.

EN 1998-1 (§4.3.5.1.2) requires that in the case of non-structural elements of great importance or of a particularly
dangerous nature, the seismic analysis should be based on a realistic model of the relevant structures and on the use of
appropriate response spectra associated to the supporting structure. The use of modal analysis is also considered in

3
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ASCE 7 as an alternative to Eq.2. Another approach is the use of response spectrum analysis, although, in such a case,
special care should be placed on the influence of the global force reduction factor; indeed, the load reduction in the
cladding panels, compared to an elastic analysis, could be less than what is obtained considering the reduction factor
associated to the lateral force resisting system.

Below, a parametric analysis is conducted to check the validity of Eq.1 and Eq.2 for the case of column-to-column
precast concrete panels on a single-story building; a new simplified procedure is proposed and validated in order to
have a more accurate estimation of the out-of-plane loads on such panels and on the connecting system.

2.2 Parametric analysis

To investigate the out-of-plane seismic loads acting on column-to-column cladding panels, a parametric analysis is
conducted on a 2D linear elastic structural system constituted by multi-bay frames (Figure 2). The columns are pinned
to roof beams and each panel is modelled as a linear elastic single degree of freedom system (SDOF) with mass mpi and
stiffness kpi. The mass mpi used in the analyses is the panel first modal mass. The analyses consider frames with 2, 4 or 8
columns with equal stiffness. At the top of each column a tributary mass (m,,,) is placed, whose sum is referred to as
roof mass (,00). 3 or 5 column-to-column cladding panels are placed along the height of each column (being n, the
number of panels on each column, Figure 2). Various periods (7,) and masses (m,) of the panels are considered. The
roof mass is selected to obtain a fundamental period of the system in the constant velocity region of the pseudo-
acceleration spectrum, indeed the fundamental period of typical industrial and commercial buildings lays in that range.
A response spectrum (type 1 spectrum, EN 1998-1) with 4 different soil conditions (A, B, C and D) is considered, and a
total of more than 30,000 analyses are performed. Figure 2 shows an example of the considered structural system:
three-bay frame with 4 columns and 5 panels at each side of the frame.
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Figure 2 - Structural system considered for the evaluation of the out-of-plane loads on cladding panels

The results of the response spectrum parametric analysis are rearranged as a function of three main dimensionless
parameters governing the out-of-plane inertia loads on each cladding panel:

*  m,: the ratio between the total mass of the panels on the two frame ends (mass of each panel multiplied by the
total number of panels, 2 n,) and the roof mass (m,,4). It is worth noting that the mass of the panel considered
in defining the m, ratio is the total mass of a single panel (mm,) and not the panel first modal mass used in the
analyses ().

* T, the ratio between the fundamental period of the panel (7,,) and the fundamental period of the system (7). 7,
is obtained from considering the panel as a simply-supported beam; 7 is obtained from modelling each panel
as a lumped mass on the supporting column at a height corresponding to the panel centroid (the spring
representing the panel stiffness in Figure 2 is here removed);

*  h,: the ratio between the vertical position of each panel centroid (4,) and the column height (H); this ratio
identifies the single panel.

The results of the response spectrum analyses are expressed in terms of « (Figure 3), which is an amplification factor
defined as the ratio between the panel inertia load obtained from the analyses and the load obtained from a linear load
distribution (F,) with top (F ) and bottom (F, ) values equal to:

F;z,top=Sa(];)'mp; F;z,bot=Sa(T;7).mp (3’4)
S4(T) is the pseudo-acceleration spectral value for a period 7, considering a spectrum with 5% relative damping. The
decision to refer to such linear load distribution is just aimed at simplifying calculations.
Figure 4 shows the out-of-plane loads on each panel as a function of m, and 7, in terms of ¢; the significance of the
dashed lines represented in the figure will be explained later. The parametric analyses accounted for a wide range of
values for 7, and m, (0-1.5 and 0.025-1.00 respectively); however, for the geometry distribution of Italian precast
concrete industrial buildings (Casotto et al. 2016), the ranges 0.1-0.7 and 0.05-1 should be better considered for 7, and
m, respectively; other values of 7, and m, could be associated to different structural typologies and cladding systems.
The range of interest for the structural typology being considered is represented in each figure with the unshaded area.
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179 Figure 4 shows the results obtained when considering 5 panels along the column’s height; similar results are obtained
180 from the case of 3 panels. As expected, a peak value of a in proximity of 7, =1 is observed; such a peak is higher for
181 panels placed at the top of the column and lower for increasing values of the mass ratio (m,). For 7, lower than 0.5, an
182 increase of « is observed, especially in central panels and for increasing values of m,. The influence of the number of
183 columns is already accounted for by 7, and m,. It is important to note that the scatter of the results for 7, values lower
184  than 0.5 is a consequence of the 4 considered spectra (one for each type of soil condition). Indeed, with the structure
185 period’s of vibration taken in the constant velocity region and with Tp and T (start and end period of the constant
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acceleration region) different for each soil type, different amplification factors are obtained for the same T, when
considering different spectra.

2.3 Comparison with current design formulations

The formulations suggested by the codes are compared to the results of the parametric analysis in this section. Figure 5
shows the minimum values of the ratio between the panel out-of-plane load computed with EN 1998 (Eq.1) or ASCE 7
(Eq.2) and the corresponding load obtained from the response spectrum analyses. Values below the unity represent
conditions in which the aforementioned equations provide forces smaller than those predicted by the parametric
analysis. In the range of interest, the closest fit is provided by Eq.2 (ASCE 7) for the case of fasteners of the connecting
system, especially for the lower panels; Eq.1 (EN 1998-1) is always smaller when considering g, =2, as commonly
adopted in the design practice. In general Eq.1 (EN 1998-1) with g, =1 provides higher values than Eq.2 (ASCE 7).
Outside the range of interest, it is worth observing how both formulations could provide unsafe results especially for
low values of m, and values of 7, close to unity (i.e. at resonance). Such conditions, although not necessarily applicable
to the cladding system, could refer for instance to other non-structural components as a piping system connected to
adjacent columns.

Regarding the cladding panels considered herein, past earthquakes have shown that the failures of such systems
typically occur in the connections and fasteners, not in the panels. These failures could be related to different factors,
such as low design values of the out-of-plane loading (as applying Eq.1 with g,=2), the displacement compatibility in
the panels in-plane direction (Belleri et al., 2016; Zoubek et al., 2016a) or as a consequence of the torsion demand
arising in the panel, as reported in chapter 3.
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Figure 5 - Minimum ratio between design practice formula and parametric analysis results.
Note: EN; and EN; consider EN1998-1 formula (Eq. 1) with ¢,=1 and ¢,=2 respectively;
AS,, and AS¢ consider ASCE 7 formula (Eq. 2) for wall element and fasteners respectively, both with 7,=1;
range of interest for the considered structural typology in the unshaded area
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2.4 Simplified estimate of the out-of-plane seismic loads

Taking into consideration that the current design equations are not always on the safe side, a simplified procedure is
investigated here to better bound the seismic load demand on precast cladding panels of single-storey industrial
buildings. The evaluation of the out-of-plane seismic loads on the column-to-column precast cladding panels in precast
one-story structures is defined here based on the results of the parametric analysis. A formula of « fitting the results
(grey horizontal lines in Figure 4) is proposed and represented schematically in Figure 6:

a=1 for 0O0=h <03
a=1+25(h -03) for 03<h <0.7 )
a=2 for 0.7<h =<1

a

2

1

>
0 0.3 0.7 1.0

hr

Figure 6 - Simplified linearization of a.-value

Eq.5 is independent from 7, and m, and it is valid for 7, in the range 0.1-0.7 and m, in the range 0.05-1. Therefore, it is
compatible with the precast concrete industrial buildings being considered. The inertia load (F;) on each panel is
obtained by:

1. evaluate m,= (2n,my)/Moop, T, = T,/Ts and h, = hy/H,

2. obtain a from Eq.5;

3. calculate the inertia load on the panel (F;) as:

E=at[F, o, (F, 1y = F )| (©)

a, bot 7 , top -

4. calculate the out-of-plane load on each connection (F;,) as:
F.=F /4 9

According to the parametric analysis, this procedure has been derived for cladding panels equally distributed along the
column’s height. In the case of cladding panels with different dimensions but with the same weight density it is still
possible to apply the proposed procedure. In the case of relevant differences, more refined analyses should be carried
out. It is important to consider that the same issues apply for existing procedures. In the absence of refined analyses, it
is suggested to select the highest value among the proposed procedure and the formulae of the building codes.

A refined linearization of a accounting for the influence of 7, and m, and for values beyond the validity range of Eq.5 is
provided in Appendix A.

3. Further considerations
31 Influence of plastic hinge development at the column base

The influence of the development of a plastic hinge at the column base has been investigated by means of non-linear
time history analyses considering one of the configurations used in the parametric analyses: a single-portal frame with
five panels along the height of each column. The plastic hinge is modelled according to the Takeda hysteresis rule
(Takeda, 1970). The yield moment is chosen in order to obtain a behaviour factor ¢ equal to 1.5, 2.5 and 4; where q is
taken as the ratio between the bending moment obtained from a linear elastic analysis and the yield moment. The
ground acceleration is provided by an artificial record; the record is spectrum-compatible with EN 1998-1 type 1
spectrum, soil type A, and a,=0.35g (ground acceleration on rock), and it is obtained from the SIMQKE-1 algorithm
(Venmarcke and Gasparini, 1976).
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Figure 7 shows the results of the analyses in terms of load ratio between the inelastic and linear elastic case. The
influence of the behaviour factor is relevant especially for the panels in the higher rows and for 7, closed to unity. The
difference among the behaviour factors is not relevant in the considered range of 7,, unshaded area in Figure 7, and for
low values of m,. The building period is obtained from considering the secant stiffness at yielding of the columns.
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Figure 7 - Ratio between the inertia load in the panel in the inelastic and elastic case.
Note: range of interest for the considered structural typology in the unshaded area

It is essential to note that one-storey precast industrial buildings are characterized by higher flexibility compared to
traditional RC building structures, due to the high inter-storey height and to the lateral force resisting system (i.e.
cantilever columns fixed at the base). The high flexibility leads to low value of the displacement ductility demand,
hence low value of the effective behaviour factor (Belleri et al. 2016). As addressed in EN 1998-1, precast structures
generally attain ductility similar to reinforced concrete structures; besides this, owing to the flexibility of the considered
structural typology, the design is typically governed by lateral displacement control and code limitations on second
order effects rather than material strain limits. Other authors (Fischinger et al. 2014) also addressed the higher relevance
of drift and slenderness limitations requirements compared to the behaviour factor in these types of structures.

As a safety measure, it is therefore suggested to evaluate the out-of-plane loads on cladding panels without accounting
for the load reduction due to the development of column plastic hinges. In the case of response spectrum analyses this
condition is accomplished by considering that the behaviour factor is equal to unity in the cladding out-of-plane load
evaluation; this condition is clearly stated in ASCE 7.

3.2 Influence of roof flexibility

The influence of the roof in-plane flexibility on the loads arising in the panel-to-column connections is evaluated herein
to provide a further refinement of the proposed formulation. It is worth noting, that these types of flexible roofs are

8
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peculiar of the considered structural typology, where precast and pre-stressed roofing elements with various cross
sections (double-T beams, omega-beams or proprietary micro-shed elements) are used to cover long spans. Such
elements are connected only to the main girders by means of mechanical connections which provide the horizontal load
transfer mechanism for inertia loads. In addition large openings for skylights are quite common, which increase the in-
plane roof flexibility. In the case of accessible roofs, as for parking and for multi-storey buildings, the horizontal inertia
loads are transferred by diaphragm action engaged by a reinforced concrete topping placed above the roofing elements.
Scotta et al. (2015) observed an increase of the axial loads in the panel connections in the case of flexible roofs. Indeed,
these roofs may imply differential deflection of adjacent columns, thereby causing torsion on the cladding panels. The
additional loads associated with the panel torsion should be added to the seismic inertia loads considered before.

To evaluate such additional loads, an elastic response spectrum analysis of the whole 3D building is required. In this
analysis, each cladding panel is modelled as 2 lumped masses on the supporting columns at a height corresponding to
the panel centroid, as is usually carried out in the design practice (Figure 8a). Then, the torsion rotation demand (6) on
each panel is determined from the deflected shape of adjacent columns. With reference to Figure 8b, 6 may be
calculated as:

0=(x1—x2);(x3—x4) (8)

where x;, x,, x3, and x, are the out-of-plane displacements of the corners of each panel obtained directly from the
response spectrum analysis, and 4 is the height of the panel.

Given 6, the load arising in the panel-to-column connections can be derived taking as reference Figure 8. The following
assumptions apply:

* O is equally distributed between the two columns as a consequence of the symmetry in the stiffness of the
connections. This implies that =4 A/h. The panel out-of-plane displacement A due to the column deflection
may thus be determined.

* The rotational stiffness of the panel-to-column connections is neglected. Therefore the relative rotation
between the columns is the only source of additional loads in the panel-to-column connections due to out-of-
plane displacement compatibility.

Once A is calculated, the additional force in each connection may be directly determined by imposing the equilibrium of
the forces on each panel as shown in Figure 8b.
From Figure 8b, the equilibrium to rotation about axis 3-4 (F; L+F, L =0) leads to:

Ko (8, ~ AL+ K, (8, +A)L =0 ©)

where ¢§; is the axial out-of-plane displacement of the i connection. Kyc and Kpe are the axial stiffness of the top and
bottom connection, respectively.
The equilibrium to rotation about axis 1-2 (F;L +F,L =0) leads to:

K, (0;+NL+K,.(6,-A)L=0 (10)
The equilibrium to rotation about axis 2-4 (F;*h + F3h = 0) leads to:

Ko (0,-Mh+ K (0, +Mh=0 — 0 =-0; an
Equivalently, considering the rotation about axis 1-3 (F,h + F,-h = 0) leads to:

Ko (0, + N+ K, (0,-Ah=0 — 06,=-0,; (12)

From the rotations associated to the axial displacements of the connections at each side of the panel and the torsion
rotation of the panel itself, the following formula is derived:

8,-8, _8,=0, F-h
h h Gl

T

L=0 (13)

where G is the shear modulus of concrete and /7 is the torsion constant of the panel.
Substituting Eq.11, Eq.12 and F'; = K7¢(J;-4) into Eq.13 gives:

K. (6,-A)-K .
GI,

26,-26, + -0 (14)
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Figure 8 - Model used to evaluate panel rotation (a);
scheme of the cladding panel connections system (b).

Considering the system constituted by Eq.9 and Eq.14 the following formulae for §; and J; are finally obtained:
Li?
AGTKBCKTC - 2A(KBC - KTC )
S = T (15)

Li?
2K, +2K . + o K, K.

T

Li L
_AG[ KTCZ—A(KBC_KTC)(2+(;IKTC)
5. = T T (16)
, =

L’
2K, + K, (2+GIKTC)

T

05 and J, are obtained from Eq.11 and Eq.12. The force in each connection is thus:
F=-F=K,.(6,-A); F,=-F,=K,.(6,+A) (17; 18)

As mentioned before, such forces represent additional loads, which need to be added to the load on each connection
obtained with Eq.7. Such load increase could be up to 4 times what predicted by Eq.7, which is highlighted in the
following section.

4. Procedure validation: numerical simulations and design implications

In order to validate the proposed formulations, a case study resembling a typical industrial precast building is selected.
The structural layout is shown in Figure 9. Cantilever columns (7.2m tall) constitute the lateral force resisting system;
the columns are pin-connected at the top by a gutter beam (cross section 40x80 cm). The seismic design complies with
EN 1998-1 type 1 elastic spectrum, soil type A and a peak ground acceleration (PGA) of 0.35 g at the design basis
earthquake limit state. Each column has a square cross-section (0.6x0.6m) reinforced with 16 longitudinal 18mm
diameter bars, equally distributed along the edges. The concrete cover is 40mm. The columns support 12 cladding
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panels along the building longitudinal side. The cladding panel geometry is 2.4x8.0x0.2m. The roof tributary mass at
the top of each column is 33,000kg and 66,000kg for the corner and inner columns respectively. Non-linear time history
(NLTH) and response spectrum (RS) analyses (MidasGEN, 2012) are carried out on the lateral frame presented in
Figure 9 considering the out-of-plane direction. The NLTH analyses are conducted considering the same artificial
ground motion of section 3.1 and accounting for large displacements. Each panel is modelled as plate elements with a
mesh of 4 by 8 elements. The panel mass is directly included in the model by assigning a mass density to the
corresponding plate element. The columns, fixed at the base and pin-connected to the gutter beam, are modelled by
means of non-linear fibre elements with concrete strength equal to 40MPa and yield stress of the steel reinforcement
equal to 450MPa.

The considered panel-to-column connections are constituted by bearing elements at the bottom and retaining elements
at the top (Figure 10) as reported in Belleri et al. (2016). Such connections have been selected for demonstration
purpose. The formulations presented in the previous chapters are also applicable to other types of mechanical
connections, provided that the appropriate connection stiffness is derived. Referring to the selected case study, the
bottom bearing connection is made of a rectangular steel element placed into a steel pocket inside the column during
erection; a supporting bolt (M24 class 8.8) is placed at the end of the plate to adjust for vertical tolerances. The top
retaining connection is made by a vertically oriented anchor channel (cold formed channel, grade S250GD) embedded
in the column, a slotted-plate anchored into the panel (S235), and a connecting T-bolt (M 16, class 5.6) with washers and
nuts. The vertical orientation of the anchor channel is intended to accommodate vertical tolerances, while the horizontal
slot in the slotted-plate is intended to accommodate lateral tolerances.

Plan view
F & & & ¥
32m ‘
8m i 8m ‘ 8m i 8m i
e £ £ =::: 4
Side view

gutter beam

cladding panel

column
Figure 9 - Case study geometry.

As regards the bottom connection, the in-plane and out-of-plane force-displacement relationships are modelled by
means of springs with a symmetric elasto-plastic hysteresis: the stiffness is evaluated considering the supporting bolt as
a cantilever beam with a horizontal load at the top; the yielding load is associated with the flexural capacity of the bolt.
The top connection is modelled as a roller in the panel in-plane direction; the out-of-plane force-displacement
relationship is modelled by means of an asymmetric elasto-plastic hysteretic spring. Such asymmetry is associated with
the different behaviour of the anchor channel in the case of compressive or tensile loads. For tensile loads, the T-bolt
pulls the anchor channel lips directly, while compressive loads are transferred to the anchor channel sides by the washer
and the nut. Considering that the slotted-plate, the bolt, and the anchor channel are connected in series, the failure of the
weakest component governs the connection capacity; the equivalent stiffness of the connection assembly (k) is related
to the stiffness of each component by:

Vkeyg = 1/kg + 1/ky + 1/kg. (19)

where k, is the out-of-plane stiffness of the slotted-plate, k is the axial stiffness of the bolt and £, is the out-of-plane

stiffness of the anchor channel.

In the case of tensile loads acting on the anchor channel (Figure 11a), the out-of-plane capacity is obtained following

the procedure used for anchorages in concrete, as for instance reported in Eligehausen et al. (2006) or in product

approvals. In general, the out-of-plane stiffness can be estimated by considering the bending stiffness of the channel
11
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between two anchors. In the present case study, the configuration associated with the highest axial stiffness of the
connection is analysed, taking into account that the out-of-plane stiffness governs the load increase due to torsion of the
panel. Such configuration is associated with a T-bolt placed in correspondence to an anchor point. Accordingly, the
development of yield lines in the anchor channel lips (Figure 11b) is assumed to govern the anchor channel
performance. The stiffness and capacity of this configuration is derived following the procedure reported in Belleri et al.
(2016). It is worth mentioning that in the case of out-of-plane loads, both the channel lips are subjected to tensile loads,
while the aforementioned formulation (Belleri et al. 2016) considers the load acting on a single lip. In the case of
compressive loads (Figure 11c), the bending of the washer is herein considered according to the static scheme of
Figure 11d. Other static schemes can be selected due to different configurations or as a result of experimental tests.
Table 1 reports the stiffness and the capacity of each component (calculations in Appendix C) along with the
characteristics of the elasto-plastic springs used in the non-linear time history analyses.

a) Bottom connection b) Top connection
Supporting bolt Anchor channel
,,,,,,,,,,,,,,,,,,,,,,,,,,,, AR
. Column T-bolt /

! pocket

Slotted
plate

Panel

Column Column

Figure 10 - Considered bottom (a) and top (b) panel-to-column connections.

Figure 11 - Top connection anchor channel behaviour for tensile (a, b) and compression (c, d) loads.

Two sets of analyses are carried out to account for possible in-plane stiffness of the roof: rigid diaphragm and flexible
diaphragm. In the former case, the columns are forced to have the same out-of-plane top displacement. In the latter case,
the roof in-plane stiffness is governed by the gutter beam, therefore resembling a condition in which the roof elements
are not mutually interconnected and behave like truss elements. Table 1 reports the mechanical characteristics of the
connections. An additional finite element model is considered. Such model, referred to as point mass model, represents
the typical mesh used in the design practice: each panel is modelled directly with point masses fixed to the supporting
columns at a height corresponding to the panel centroid (as in Figure 8a). This model is used to evaluate the torsion
rotation demand on the panel by means of elastic response spectrum analyses (RS-PM), as reported in Table 2. The
panel rotation demand is obtained from combining the rotation associated with each mode by following the SRSS rule.
In general, this procedure provides higher estimates than considering directly the displacements obtained from a global
response spectrum response (Table 2). This is particularly evident for the case of rigid diaphragm.
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Table 1 Hysteretic model of each connection.

Connection Component S(tlkg?;s)s C:?l)(;c)lty Hysteretic model
. KBC = 49,977 kN/m,
Bott S rting bolt 49,977 20.3
ottom upporting bo Fyse=20.3 kKN
Slotted Plate 141,590 20.0 Tension:
tension __ .
Bolt 412,125 47.1 Krc™™" = 44,831 kN/m;
F. TCtensmn — 164 kN
Top Anchor channel 78.022 16.4 ’
(tension) i ) Compression:
Anchor channel 161.988 195 Ky = 63,847 kN/m;
(compression) ’ : F, ™" = 19.5 kN

Table 2 Torsion rotation of the panel.
Note: RS-PM = results from the elastic response spectrum analysis with point mass model;
NLTH = results from non-linear time history analyses;
* rotation demand evaluated from global response spectrum response;
** rotation demand evaluated for each mode and then applying SRSS.

Torsion rotation of the panel (10'3 rad)
Panel id.
(Fig. 9) Rigid diaphragm Flexible diaphragm
RS-PM* RS-PM** NLTH RS-PM* RS-PM** NLTH

1 0.07 0.43 0.84 3.9 4.1 7.5
2 0.03 0.17 0.25 9.6 9.1 10.5
3 0.09 0.63 0.87 11.7 11.0 11.1
4 0.02 0.63 0.21 1.3 1.3 6.5
5 0.01 0.24 0.07 2.6 3.2 9.8
6 0.02 0.90 0.24 3.5 4.0 10.2

Table 3 shows the results of the response spectrum (RS) and non-linear time history (NLTH) analyses in the case of
rigid diaphragm, as well as the predicted out-of-plane loads in the connections (Eq.7) and the design load obtained from
Eq.1 (EN 1998-1) and Eq.2 (ASCE 7). It can be observed that Eq.7 is generally able to capture the out-of-plane loads
on the panel-to-column connections, although under-estimation occurs in the first row of panels (Panel 1 and 4 in
Figure 9). Conservative estimations are obtained from including the panel torsion (Eq.7 plus Eq.17-18). It is important
to note that Eq.1 (EN 1998-1) with g, =2, as typically adopted in the design practice, leads to not conservative
predictions. In the case of Eq.1 with ¢, =1, the load estimated in the most loaded panel is conservative. Besides this,
such value is associated with the upper panels while the most loaded panels are located in the bottom row, as predicted
by the NLTH analysis. Similar considerations apply to ASCE 7: Eq.2 provides loads lower than the demand for “wall
elements” and loads close to EN 19981 (g, = 1) for “fastener of the connecting system”.

It is interesting to note that Table 3 show that the largest forces are not acting on the panels in the top row, as it would
be expected by applying building code formulae. This is in agreement with the results of the parametric analysis (Eq. 7
column in Table 3). To further clarify this result, let us consider a horizontal cladding panel whose out-of-plane period
of vibration is in the constant acceleration region of the spectrum, and let us consider the elastic case for demonstration
purpose; given these premises, if the panel is attached at the bottom of the column it will experience a higher demand
compared to the same panel attached at the top of the column, indeed in the former case the panel experiences the
maximum spectral acceleration, while in the latter case a lower out-of-plane acceleration can be found because the
panel and the building behave as springs in series and the resulting period of vibration elongates.

Table 4 shows the analyses results in the case of flexible diaphragm. The results show that all the connections exhibit
plastic behaviour as a consequence of the panel torsion rotation, as foreseen by the proposed formulation (Eq.7 plus
Eq.17-18). Such inelastic behaviour could lead to a premature failure of the connections and possible panel out-of-plane
overturning. Eq.1 (EN 1998-1) and Eq.2 (ASCE 7) are not able to capture the additional loads due to roof flexibility,
leading to substantial underestimation of the connection demand in the case of in-plane flexible roofs. Additional
analyses were carried out to evaluate the influence of the anchor channel compression capacity, by assuming an elastic
behaviour in compression of the top connection. An average 16% load increase in the panel connections was observed.
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Table 3 Maximum axial load in panel connections for the rigid diaphragm case.

Note: RS = results from elastic response spectrum analyses;

NLTH = results from non-linear time history analyses;
* Force in each connection obtained diving Eq.1-2 by 4;

Panel connection Force in the connection (kN)
: * *
oy | movom | RS | NumH | Ea7 | gt | RN lement | fastener
TC 16.6 18.8 18.3 19.9 12.4 6.2 45 14.0
: BC 15.9 18.7 18.3 19.9 12.4 6.2 4.5 14.0
TC 13.5 14.0 19.5 20.1 17.2 8.6 6.7 21.0
? BC 13.9 14.5 19.5 20.1 17.2 8.6 6.7 21.0
TC 7.4 7.5 15.3 17.6 21.8 10.9 9.0 28.0
’ BC 7.7 7.6 153 17.6 21.8 10.9 9.0 28.0
TC 15.5 16.6 18.3 20.6 12.4 6.2 45 14.0
! BC 14.3 16.1 18.3 20.6 12.4 6.2 4.5 14.0
TC 15.8 16.5 19.5 204 17.2 8.6 6.7 21.0
> BC 15.5 16.5 19.5 204 17.2 8.6 6.7 21.0
TC 6.9 6.8 15.3 18.6 21.8 10.9 9.0 28.0
° BC 7.7 8.3 15.3 18.6 21.8 10.9 9.0 28.0
Table 4 Maximum axial load in panel connections for the flexible diaphragm case.
Note: RS = results from elastic response spectrum analyses;
NLTH-el = results from non-linear time history analyses with elastic connections;
NLTH-in = results from non-linear time history analyses with inelastic connections;
* Force in each connection obtained diving Eq.1-2 by 4;
Panel connection Force in the connection (kN)
et [ | xs [ wmea [umn [ g TR O TSR

TC 23.4 39.9 19.5 332 12.2 14.0

: BC 22.9 39.9 20.6 332 12.2 14.0

TC 40.8 473 19.5 523 17.0 21.0

g BC 40.8 48.6 21.1 523 17.0 21.0

TC 47.6 48.9 19.5 55.1 21.6 28.0

’ BC 47.7 49.1 21.0 55.1 21.6 28.0

TC 18.4 29.8 19.5 23.0 12.2 14.0

! BC 18.0 30.3 20.3 23.0 12.2 14.0

TC 27.9 455 19.5 30.9 17.0 21.0

: BC 27.7 46.0 20.6 30.9 17.0 21.0

TC 29.1 44.4 19.5 29.4 21.6 28.0

° BC 29.4 452 20.5 29.4 21.6 28.0

Finally, a NLTH analysis with elastic panel-to-column connections (NLTH-el) is carried out. The results (Table 4) are
compatible with the proposed formulation (Eq.7 plus Eq.17-18) in the case of side panels (panels 1-3 in Figure 9).
Loads higher than what predicted by all the investigated formulations are obtained in the case inner panels (panels 4-6
in Figure 9). Such a difference is related to panel rotations higher than predicted (Table 2) due to both asynchronous
displacements of adjacent columns and different ductility levels developed by the plastic hinge at the base of the
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columns. This behaviour is not captured by response spectrum analyses. To limit the uncertainties associated with these
phenomena it is possible to increase the out-of-plane displacement capacity of the connections, as, for instance, adding
cup springs at each side of the retaining slotted plate of the top connection (Figure 12).

Based on the obtained results, the following design procedure is suggested:

Step 1 - Evaluate the out of plane loads on the panels by means of Eq.7; take the maximum value for the top and bottom
connections. In the case of cladding panels with different dimensions but with the same weight density it is still possible
to apply the proposed procedure. In the case of relevant differences, it is suggested to select the highest value among the
proposed procedure and the formulae of the building codes.

Step 2 - Evaluate the torsion rotation demand on the panels by means of an elastic response spectrum analysis. In this
regard, it is possible to adopt a finite element model with panels modelled as point masses placed on the columns at a
height corresponding to the panel centroid.

Step 3 - Use the maximum rotation found in Step 2 to get the additional loads in the top and bottom connections by
means of Eq.17-18. As a starting point, use the stiffness of the connections able to carry the loads found in Step 1. This
step may require iterations.

Step 4 - Design all the bottom and top connections, independently by the location of the panel, according to the sum of
the loads obtained in Step 1 and Step 3. Repeat from Step 3 to account for changes in the connection stiffness.

Step 5 - Limit the load demand arising from panel torsion rotation (Step 3). This can be accomplished by decreasing the
axial stiffness and by increasing the axial displacement capacity of the top connections. A possible solution is depicted
in Figure 12.

Step 6 - Avoid the overturning of existing cladding panels if failure of the connections occurs. The same retrofit
strategies presented in Belleri et al. (2016), Zoubek et al. (2016b), Dal Lago et al. (2017) among others are appropriate
as back-up systems.

It is worth noting that the sealant applied between panels for aesthetical reasons and to prevent air flow can alter the
load path of seismic actions. Indeed, experimental tests (Dal Lago et al. 2017) conducted on precast panels under
in-plane deformations showed that the silicone joints influence the seismic performance at the serviceability limit state
and increase the load demand on the panel connections, although they are not suitable to sustain the relative
displacements typically associated with the ultimate limit state. The influence of sealant was not considered herein.

E cup I
| /springs |

Figure 12 - Increase of axial deformation capacity of top connections by means of cup springs.

5. Conclusions

The paper investigated the out-of-plane seismic response of column-to-column precast cladding panels in the case of
single-storey industrial and commercial precast buildings. Parametric finite element analyses were carried out by
considering the ratio of the panel-to-structure fundamental period of vibration, the ratio of the panel-to-structure mass,
and the relative position of the panel centroid with respect to the column height. For the considered structural typology,
the formulations available in building codes (EN 1998-1, ASCE 7) provided conservative values of inertia loads in just
two cases: in ASCE 7, when the formulation for the fasteners of the connecting system is considered; in EN 1998-1,
when no reduction factor for the non-structural component is adopted. For other structural typologies, existing
formulations could lead to not conservative estimations. Given the poor correspondence between the current design
formulations and the parametric analyses, a procedure for the estimation of the seismic inertia loads on cladding panels
was derived. The proposed procedure required a simplified model of the structure, the same model used in the response
spectrum analyses carried out in the design practice, and it allowed the calculation of the panel loads with a direct
empirical formula. Such equation was derived considering a simplified 2D model with the panels modelled as single
degree of freedom systems. This procedure did not consider the roof flexibility.
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Some other aspects were then investigated in order to refine the out-of-plane load estimation. Plastic hinge development
at the column base showed to have a little influence. However, roof in-plane flexibility might play an important role in
determining the loads in the panel-to-column connections. Indeed, the torsion arising in the panels associated with
differential displacements of adjacent columns leads to additional loads in the connections, which need to be added to
the out-of-plane inertia loads. An improvement to the previous procedure was thus derived to account for such loads.
This load contribution is not accounted for in existing simplified formulations.

The proposed formulations were derived considering: single-storey precast buildings, column-to-column cladding
panels, panels with the same geometry and equally distributed along the building height, and a fundamental period of
the structure in the constant velocity region of the pseudo-acceleration spectrum. The latter is typical of the structural
typology being examined. In the case of cladding panels with different dimensions but same weight density, it is still
possible to apply the proposed formulation. In the case of relevant differences, more refined analyses should be carried
out. It is important to note that the same issues apply for existing building code formulations. In the absence of refined
analyses, it was suggested to select the highest value among the proposed formulation and the building codes equations.

The proposed procedure was validated by means of non-linear time history analyses. A case study resembling a typical
precast industrial building with column-to-column cladding panels was selected. In general, a positive correspondence
was found between the numerical and the predicted results. In some cases, the rotation demand on the panels was more
than expected due to the asynchronous displacements of adjacent columns and to the different ductility level developed
by the plastic hinges of adjacent columns; as a consequence, the load demand in the connections increased.

From the previous findings, some practical design recommendations were made. In particular, it was suggested to
design all the bottom and top connections according to the maximum demand (i.e. out-of-plane inertia loads plus loads
arising from panel torsion rotation) independently by the location of the panel. Moreover, to limit the load demand
arising from panel torsion rotation, an increase of the elastic out-of-plane displacement capacity of the top connection
was suggested. It that regard, a possible solution was provided. Finally, it is important to note that the proposed
formulations are suitable for the out-of-plane load evaluation of new cladding panels and for the assessment of existing
systems. As regards cladding panel connections, the design needs to account for both out-of-plane and in-plane loads.
The latter are not considered herein as this topic has been already covered in previous research.
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APPENDIX A

A refined formula of a is provided here. The fitting of the parametric analysis results is represented in black dashed
lines in Figure 4. Four regions are identified (Figure A1) delimited by five values of 7, (7} ;= 0, T, ,= 0.55, T, ;= 0.75,
T,/~0.95,and 7, 5= 1). a is assumed to vary linearly as a function of 7, in each region j:

a.,.—«qa.
a=a, +T 1 ——L (A.1)
’ Trj+1_Trj

The values of o delimiting each region (¢; and ;) are obtained by means of linear least squares and further increased
by 10% in order to cover all the data. The results are expressed as a function of 4, and m,:

1.0 Sfor h <0.1
a, =13.75-h,+0.63 for 0.1<h, <0.5

2.5 for 05<h <0.9 (A.2)
a,=1+0.83-7"-0.1-h,

a;=-09-h -m +1.7-h +0.7
a,=a;=cm,

Where c=1.87-hf—0.68-hr+0.78, and d=0,64~hf—1_23'hr+0_12. The minimum o allowed in all the regions

corresponds to o.

a
arFa;
a,
a,
a,
0.75 10
0 0.55 095
T.=T,/T;

Figure A1l - refined linearization of a-value

The updated procedure to obtain the inertia load (F;) on each panel is:
1. evaluate m,= (2n,my)/Moop, T, = T,/Ts and h, = hy/H,

2. select the region (Figure A1) which 7, belongs to;
3. evaluate ¢ and ¢;;; corresponding to the delimiting points of the selected region (Eq. A.2);
4. get the appropriate o from Eq. A.1;
5. calculate the inertia load on the panel (F;) as:
F;:a I:F:I bot +h} (F:l op F:l, bot )] (A3)

6. calculate the out-of-plane load on each connection (F;,) as:

F, =F/4 (A.4)

17



535

536
537
538
539
540

541

542
543

544
545
546
547
548
549
550
551
552
553
554
555

556

557
558
559
560
561
562
563
564
565

566

567

568
569
570
571

572

573
574
575

576

571
578
579
580

APPENDIX B

This appendix reports the stiffness and the capacity of the top and bottom connections considered in the non-linear time
history analyses. Regarding the bottom connection (Figure 11a), the stiffness and the capacity are related to the
supporting bolt considered as a cantilever beam with a horizontal load applied at the free end. The bolt is M24, class 8.8
(f,= 640MPa), and 40mm long (L;). The lateral load (F) zc) associated with the development of the plastic moment at
the base of the bolt is

Fy_ Bc = f} W, /L, =20.3kN (B.1)
The lateral stiffness is:
K, = 3EI/L§7 =49,977kN (B.2)

The top connection (Figure 11b) is characterized by a vertical anchor channel (cold formed channel, grade S250GD)
embedded in the column, a slotted-plate anchored into the panel (S235) and a connecting T-bolt (M 16, class 5.6,
Jfy=300MPa) with washers and nuts. Being such elements in series, the connection capacity is governed by the capacity
of the weakest element and the stiffness is evaluated according to elements in series.

The capacity of the T-bolt is evaluated as the axial force at yield, F,,,=47.1kN, being the buckling load equal to 159kN;
the axial stiffness is k, = EA/L, = 412,125kN/m, where L, is 80mm.

The capacity of the slotted-plate (S235, f, =235MPa) is evaluated considering a fix-end plate with equivalent cross-
section (8mmx60mm) and length Ly =90mm. The maximum load is associated with the plate flexural capacity
Fyq=8 M,/ Ly=20.0kN. The slotted-plate stiffness is k= 192 EllLS = 141,590kN/m.

Regarding the anchor channel, the case of tensile and compressive load is distinguished. For tensile loading, the
capacity is evaluated as twice (2 anchor channel lips) the formulation presented in Belleri et al. (2016) in accordance to
the yield-line mechanism presented in Figure 11b.

F,, /™ =2 [f 5,0 (4+é)} _16.4kN (B.3)
where f, =250MPa is the yield stress of the anchor channel, s,.=2.5mm is the thickness of the lip (cold formed),
i =20mm is the thickness of the head of the connecting bolt and # = 8mm is the contact length between the channel lip
and the T-bolt. In the case of tensile loads acting on the anchor channel, the out-of-plane capacity is obtained following
the procedure derived for anchorages in concrete, as for instance reported in Eligehausen et al. (2006) or in product
approvals; the out-of-plane stiffness could be generally estimated by considering the bending stiffness of the channel
between two anchors. In the present case study, the worst configuration in terms of axial stiffness of the connection is
considered, being the out-of-plane stiffness governing the load increase due to panel’s torsion; such configuration is

associated with a T-bolt in correspondence to an anchor point.
The anchor channel stiffness is:

tension /Am[ = 78'022k_N (B4)

m

tension
k, =F

y,ac

where A is the yield displacement of the lip due to the applied load. A

tot tot
according to Belleri et al. (2016) (2 = 22mm, ¢ = 8mm, b., = 35.2mm, s = 2.5mm, i = 20mm, £ =210,000MPa).
In the case of compressive loading, the capacity of the anchor channel is related to the washer according to the scheme
of Figure 11d. An equivalent plate (39mm x 8mm) is considered neglecting the hole of the washer. The load associated
with the flexural capacity of the cross-section is
N M 5 fy 'Lpsi, /4

F compression — 2 o 2 Y =

e 2 L L

is equal to 0.21mm and it is evaluated

=19.5kN (B.5)

where f, = 235MPa, L, = 39mm is the width of the washer equivalent plate, s,, = 8mm is the thickness of the plate and
L; = 15mm is the distance represented in Figure 11d.
The anchor channel stiffness is:

kaccampression — 482 E[ = 1 6 1’ 988 kﬂ (B 6)
LGL-41) m

where L, = 51mm is the distance represented in Figure 11d. _
Finally, the equivalent stiffness of the top connection is obtained from Eq. 18 as Ky = 63,847kN/m and
Krd™™"" = 44°831kN/m. The capacity of the top connection is associated with the capacity of the anchor channel for

both tensile (F,, 7" = 16.4 kN) and compressive loading (F, """ = 19.5 kN).
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